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CHAPTER 5

DESIGNING STORMWATER DRAINAGE SYSTEMS

51 INTRODUCTION

Crainage investigations involving both hydrologic and hydraulic studies feature prominently
in many Civil Engineering projects ranging from simple culvert designs to intensive fiood
drainage studies and water quality studies.

As with any typical investigation involving streamflows or catchment runoff, the first task is
the determination of the magnitudes of the flows being considered, This flow could be the
design storm discharge of 3 catchment (in flood and drainage investigations) or a
probabilistic low flow value (in water quality and pollutant dilution investigations). In all
cases, some means of converting rainfall to runoff or determining dry-weather basaflow will
be necessary. This form of flow determination is often referred to as the hydrologic
investigation and involves investigaling and simulating the processes of catchment (both
urpan and rural) hydrology. Typical outcomes of hydrologic investigations are flow
magnitudes and flow durations for a range of probabilities of exceedence.

Once design flows are derived, the impacts of the flows on the physical water conveyance
system need lo be determined. This often involves computations based on the hydraulic
characteristics of the system, e.g. flow level computations, hydraulic grade line analysis,
hydrodynamic mixing, sediment and pollutant transport, sediment scouring and deposition
elc. This form of analysis which simulates the hydraulic behaviour of open channel flow or
closed conduits is referred to as the hydraulic investigation. Typical outcomes of hydraulic
investigations are flood depth, flow velocilies, flood extenl, flow patlern etc.

52 A REVIEW OF FLOOD ESTIMATION PROCEDURES BY THE DRAINAGE AND
IRRIGATION DEPARTMENT, MALAYSIA

The Drainage and Irrigation Department has over the years published a number of
hydrological procedures for flood estimation in both rural and urban catchments in
Peninsular Malaysia, The most recent procedures are as follows:

Rational Method- HPS (DID, 1974)

Design Hydrograph Method- HP11 (DID, 1980)
Regional Flood Frequency Analysis- HP4 (DID, 1887)
Urban Rational Method- HP18 (DID, 1976)

el ool

The suitability and limitations of each method in terms of calchment size, types and basis of
the method (whether rainfall or runoff based) are discussed by CQuek (1883) and
summarised as shown in Table 51. Note that all the above procedures are published in
impenal units.

A brief summary of the basis of each of the flood estimation procedures is presented in
Appendix 5.1,



TABLE 5.1
COMPARISON OF DID HYDROLOGICAL PROCEDURES HP5 (1974), HP11 (19B0),
HP4 {(1987) AND HP16 (1976) (SOURCE: QUEK, 1993)

Methods HP Year Area Catchmeant Basis of
NO Publised km® Type method
(mi)
Rational Method 5 1874 13-104 Rural Rainfall
(5-40) * Based
Design Hydrograph 11 1980 < 518 Rural Rainfall
Method (< 200) Based
Regional Flood Frequency 4 1987 =20 Rural Runoff
Method [=7.7) Based
Urban Rational Method 16 1976 < 52 Urban Rainfall
(= 20) Based

NB * May be applicable to areaassmallas 1.3 km? (0.5 mi®).

All the DID procedures discussed above are rainfall-based with the exception of HP4 (1987)
which is runoff-based. All the procedures are applicable to rural catchments only, except
HP16 which is for urban catchments. Figure 51 shows the range of catchment areas
applicable to each procedure. Note that the limits on catchment area for all the procedures
are within the range expected for the Pulrajaya site with a catchment area of about 60 km”,
The only exception is HP4 which is applicable only to catchment area in excess of 20 km®,
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Flgura 5.1 Limits of catchmant area for HPS, HP11 HP4 and HP16 (Source: Quak, 1993}
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It ls unavoidable that certain subject matters are covered in both the above documents. Since
the DID {1875} documeant was preparsd more than 23 years ago, some of the design concepts
and methods have changed. Furtharmora, the documant was prepared for use in tha whole of
Peninsular Malaysia, and may noi be susiable for the Pulrajaya site. As such, ¥ a particular
sulpect mattar is coverad In both documents, the presant gudelines shall be adopted. If a
subjpect matler is not covered in the present guidelines but = covered in the DID (1875)
documeant, than the fattar may be applied using one's professional fudgment
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Figrire 5.2 Ralnfall intenaity Froquaney Duration Curve for Putrajaya

8.3 HYDROLOGIC PROCEDURES
5311 Streamfiow-based Mathods - Flood Frequency Analysis

Flood frequency atalysis s a method of anaysing the statistics of recorded fiood data with
the objective of dafining the probability of distribution of the data for subsegquent use in flood
estimation. The most comman application of flood frequency analysis s with observed flow
data afthough analysis of floed depth can often be equally sppropriate. The reader is
referred to standard textbooks and publications by the Drainage and Imgation Dapariment
of Malaysia for @ compleie descripbon of flood frequency mathods Thess methods
compute peak flow magnitudes of different average recurrenca intervals and are only
auitabls for instantanszows flow and steady flow analysis. Flood frequency snafysis is carmind
out using either the annual senes or partial sariss approach. As a ganeral rule, the annual
gerss i used when estimating flows less frequent than tha 10 year ARI while the pariial
seres s used for esbmating more frequent evants.

A major advamvage of streamflow-bassd methoda is ks ease of use. Implicl in using this

approach, however, is the assumplion thal caichmant characteristics remain unchanged
throughout the paeriod for which data was avadable. .
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5.3.1.1 Annual Flood Series

in the annual series approach, cbserved peak fiows for each year (either calendar or water
year) are fMied to a probability distibufion. The use of the Log-Pearson Type |l probability
distribution |s commaon praclise. This probabilty distribubion involves thres paramesiers
rapresenting the statistical properties of the logarthmic values of the peak fiows. Thess are
the mean, standard devialion and the coefficient of skewngss. Vihen the coelficent of
skowness I8 zera, the Log-Pearson Type |ll distribution becomes the two-parameter Log
Mormal digtribution. Fitting and plofting the Log-Pearson Type Wl distribution to the
logarithmic valuas of the cbserved peak flows mvohlves derfving the three parametars for the
peak flow data and using standard tables to provide appropriale probabidstic values
comesponding 1o a numbear of plotting positions. Once fitted, the flood frequancy curve can
than be used to predicl probabllistic flows of any Annwal Excesdance Probabiity (AEP) ar
Avarage Recumrence interval (ARI),

6.3.1.2 Partial Flood Series

The partial saries approach adopts a "hreshold dischargs” valus as the criterion in selecting
flood events for stalistical anafysis compared to the calendar year or water year criterion af
the annual seres analysis. The use of a “threshold discharge” as the salaction critenon |s
usad in recognifion of the fact that the annual flood seres can be deficient in accounting for
frequent flood events. It is important 1o ansure that all events salected ame mdependant of
each other.

Flood magnitudes for frequent events tend fo be under-estimated by the annual Rood senes
owing to the fact that the method requires only one event per year io ba included in the
statistical analysis regardiess of (i) the magnitude of this event {could have been a drought
yaar) and (i) the number of other events of similar magnitude (as would occur in @ wetl
yaar). In selecling all independent events with peak flows larger than a thrashold value, a
betier estimation of the average recumence interval of peak flows, espacially for events of
high frequency of occurrence, can be realised.

The partial seres frequency curve allows peak discharges of average recurrence intervals of
less than a year to be delermined owing lo the fact the number of flood events includsd in
the analysis can exceed the number of years of record available. For any given site, the
flow estimates for any given ARI by a partial sanes analysis will always be highar or equal to
a corresponding estimale using an annual seres analysis. A theoredical expression relating
the ARis of a given paak fiow from a partial series analysis and an annual series analysis
wias derived by Langhein (1548) as follows:-

e

Ya w7, . 51

where Y, is the average recumence interval dervad from an annual seres
analysis,
¥, I the average recurrenca interval derved from a partial senas
analysis.

For AEP less than 10% (or average recumence werval greader than 10 years) both
approaches are expactad to give samiar design flows.  Apart from requinng a higher degroe
of effort in camying out a partial serfes analysis, this fype of analysis slso has the
disadvantage of havirsg no known probability distribution which can be fitted to the data. Ites
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necessary to draw a line of best fit of the data plotted on a semi-log scale with the discharge
in natural scale and the average recurrence interval plotted on loganthmic scala

5.3.1.3 Plotting Flood Data

Plotting of the observed flow data is often helpful in understanding the statistical
characteristics of the flow data. For annual series analysis, the loganthmic normal
probability graph paper is often used while this together with a semi-logarithmic graph paper
ara used for partial series analysis.

To enable the observed flow data to be plotted, it is first necessary for their plotting positions
to be evaluated, Their plotting positions may be viewed as estimates of their probability for
exceedence and are evaluated by first ranking the flow data in descending order. The
plotting position of each individual flow data is computed as follows -

m-0.4

PP{m)= - 52
N +0.2
If the plotting position 1s expressed in the form of an average recurrence interval (Ya ), Ye i
given as
Mo 0,2
= J - 5.3
m—=04

The parameters m and N in equations 5.2 and 5,3 relate to the ranking of the Individual flow
and the number of years of available data respectively

When applying the annual series, (he highast rank value will equal the number of years of
available data and the plotting position as computed in equation 5.2 will always be less than
unity. With partial series, equation 5.3 is used to allow determination of average recurrence
intervals of less than one year for flow dala with rankings exceeding the number of years of
available data.

It should be noted that the plotling positions derived from an annual series analysis and a
partial series analysis have different interpretations. The average recurrence interval based
on annual flood series data reflects the average interval between years in which a given
discharge is exceeded, whether once or more than once while the ARI from a partial series
analysis refiects the averapge [nlerval between exceedence of the given discharge
(Laurensen, 1987).

5.3.1.4Fitting the Log Pearson lll distribution

In the annual flood series analysis, the Log-Pearson Type Hll probabiiity distribution is often
used to describe the fiood frequency. The distribution can be fitted to the data by
computation of the mean, standard deviation and coefficient of skewness of the loganthmic
values of the flow data. These parameters, together with standard probability tables, can
then be used to determine probabilistic flows for any AEPs.

The reader 1s referred o standard textbooks or publications by the Drainage and Irmigation
Department of Malaysia for a detailed descnption of the procedure. The reader should also
place particular altention to the procedure recommended in identifying and dealing with data



uncertainties and in the computation of confidence limis in the denved flocd frequency
curye,

5.3.2 Rainfall-based Methods

Rainfall-based methods of flood estimaticn are methods which denve a flood of a selected
probability of exceedence from a design rainfall event of the same probability. The
application of these methods involved a two-stage approach, the first being the
determination of the probabilistic raintall event of the selecled probability of exceedence and
duralion and the second being the conversion of the design rainfall to dasign flow. The main
advantage in utilising probabilistic rainfall data in the derivation of design flows are.

« long periods of record,
» large number of rainfall stations from which regional analysis can be carned out, and

= rainfall data are largely independent of catchment conditions thus enabling a stronger
basis for regional “pooling” of statistical information.

There are a number of rainfall-based methods of flood estimation which are widely used in
Australian practice, They differ fundamentally In the approach adopted in converting the
design rainfall to flows. Analysis of rainfall data from daily and pluviograph rainfall station
throughout Malaysia have been carried oul by the Drainage and Irrigation Department of
Malaysia. The Drainage and lmrigation Department has published a document entitled
Hydrological Procedure No 1- Estimations of the Design Rainstarm in Perunsular Malaysia
(DID, 1982)

5.3.2.1 The Rational Method

Theoretical Considerations

The Rational formula expresses a relationship between rainfall intensily and catchment area
as independent variables and the peak flood discharge resulting from the rainfall as the
dependent variable. It has been used for over 150 years, and known as the Rational
Formula for nearly 100 years. Il is widely used in the design of stormwater drainage
systems, farm dam spillways, and small culverts in road and railway embankments.

The Rational Formula for estimation of the peak discharge is:-

Q=0278 ClA - 54
where Q peak discharge tmi‘s:;
a dimensioniess runoff coaflicient,
mean rainfall intensity (mmJ/h) of a storm of the design
average recurrence interval (ARl) and duration equal to
the fime of concentration tc;

A = catchment area tkmz}

— &3
oo

The coefficient 0,278 converts km< and mm/hr to m3/s.

To estimate a flood using the Rational Formula, the following factors must be determinad -



. f - catchment Area
. C - runoff coefficient
- | - mean rainfall iIntensily

To determine |, the following factors must be determined -

- I - time of concentration
- AR| - average recurrence interval of the storm

The Rational Formula should strictly be used for peak flow estimation only although many
have assumed a simple triangular hydrograph for design. This is only the case when the
storm duration selected equates to the time of concentration of the catchment. In the event
that the storm duration is different from the time of concentration of the catchment, the
shape of the assumed hydrograph is not triangular as shown in Figure 5.3,
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Figure 5.3 Generalised Hydrographs for the Rational Method

Vith the Rational Method, the assumption of uniform. steady rainfall tends towards
underestimation of the peak discharge, On the other hand, neglecting of storage effects on
lhe catchment tends towards overestimation of the peak discharge, It follows that the
catchments most conducive to valid results from the rational formula are those with small
channel storage and short design storms (ie. short time of concentration), since short storms
tend to be more uniform in time than long ones, These constraints limit reliable applications
of the rational method to urban drainage systems and small rural calchments.

Design IFD curves always show decreasing design intensities for increasing storm duration
for a given rainfall average recurrence interval. In designing stormwater systems, selection
of storm durations longer than the time of concentration of the catchment will always lead to
lower peak discharges than storms of duration equal fo to. Analysis of design storms longer

than the time of concentration of the catchment s therefore nol necessary unless the
stormwater drainage systems involve stormwater detention basin(s). With stormwater
detention basin{s) design, the combination of both runoff volume and instantanecus
discharges influence the selection of slorage volume and outlel discharge capacity.

Storms shorter than I have a higher intensity but the maximum area simultaneously

contributing runoff o the peak dischargs al the oullet |s less than the catchment area A. ILis
usually assumed that the reduction in coniributing area outweighs the increase in rainfall
intensity relative to that of a storm of duration equal fo t; and the peak discharge from the
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shorter storm is, therefore, the lesser. It follows that the time of concentration is normally
the critical storm duration, | e. the duration producing the highest discharge for a glven
average recurrence interval and runoff coefficient.

In the situations where the increase in rainfall intensity, for a storm duration shorter than t.,

outweighs the reduction In contributing area, the peak discharge resulting from the shorter
duration storm would be higher than thal generated from the storm of I, duration. This is

often raferrad o as the Partial Area Effect.

Application of Rational Method
To estimate a flood using the Rational Formula, the following factors must be determined:-

A - catchment Area
. C - runoff coefficient
. | - mean rainfall intensity

To determine |, the following factors must be determined:-

. te - time of concentration
. ARl - average recurrence interval of the storm.
5.3.2.2 Runoff Routing Methods

Ganeral

Runoff routing methods are becoming widely adopted as an industry-standard for hydrologic
investigation for flood estimation, These methods involve determining the rainfall-excess
and routing it through & model of the catchment slorage by flood routing procedure.
Computer models are invanably used due to the level of detail necessary in modelling the
distributed nature of the catchment storage. Catchment storage include the temporary
storage of runoff in the stream channels and flcodplains and on ground surface as well as
temporary storage in reservoir and retarding basins. Most runoff routing models involves
the modelling of the two dominant hydrologic processes of calchment losses (lo determine
the rainfall excess hyetograph) and runoff routing.

Runoff rauting models allow the user to sub-divide the catchment into a8 number of sub-
catchments to model the runoff generation and flow routing in individual sub-catchments.
This allows for the accounting of areal distribution of rainfall, landuse, catchment and stream
charactenstics as well as future modifications to these parameters. Runoff routing models
were developed to overcome some of the inherent problems associaled with the Unit-
hydrograph method such as areal lumping of calchment and rainfall characterishcs as well
as the utilisation of syslem linear theory Research studies have found catchment flood
response to be non-linear and runoff routing methods allow (lo some degree) for the
moadelling the nonlinearity in catchment response. Studies have shown that there may be a
nead for further improvements in eurrent runoff routing medels to account for non-linearity in
rivers with extensive floodplains

Runoff routing models currently available to the industry for urban and rural flood estimation
include ILSAX, RORB, RAFTS and WBNM.

Basis of Runoff Routing

The establishment of a runoff routing model of a catchment commence with the sub-division
of the catchment into sub-areas according to the stream network, catchment topography
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and landuse, rainfall vanability and location of interest. A node would be assigned at the
centraid of each sub-catchment and at the confluence of stream. Figure 5.4 illustrates a
typical catchment sub-division for a runoff routing model.

A design or historic rainfall pattern would be assigned to each sub-calchmenl node and the
resulling rainfall excess determined. In a design situation, oftan one common design storm
pattern would be assigned to sub-catchments while in the case of reproducing a histerical
storm event, the number of different slorm patterns applied to the catchment would be
dependent on the data available.

While having the same storm pattern, most runoff routing models also allow different total
siorm rainfall to be assigned 1o each sub-catchment. |t is quite common aven in design, for
sub-catchments to be assigned different storm depth while having the same storm temporal
pattern to represent lopographic effect on areal distribution of rainfall

Drainage
Dividke

Outlet

Figura 5.4 Typical Catchment sub-division in a Runoff Routing Maodel

Loss Modelling

Rainfall excess hyetograph from each sub-catchment is calculated by applying the
catchment loss model to each sub-catchment. The loss models in all runoff routing models
consist of a combination of pervious area loss modelling and impervious area loss
modelling. Common type of loss modelling for pervious area include the indial
lossicontinuing loss modal, the initial lossfrunoff coefficient model, the Green-Ampt loss
model, the Horfon Infiltration Loss model. The most common loss model for impervious is
simply a runoff coefficient model (usually a runoff coefficient of 0.9). The user defines the
landuse in each sub-catchment by adjusting the proportion of pervious and impervious area
in the sub-catchment,

The rainfall excess from each sub-catchment would be routed from the centroid of that sub-
calchmenl, along the main stream, to the next downstream node where the runcf
hydrograph is combined with (i) runefl hydrographs from other tributaries and/or (i) rainfall
excess hyetograph from the sub-catchment of the downstream node reach. The combined
runcff hydrograph is then routed downstream to the next node and so on.

Flaw Routing

Catchment storage has the effect of modifying the runoff hydrograph such that the peak flow
iz attenuated and translated in time as illustrated in Figure 5.5. This effect can be simulated
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by flood routing technigue in which the input (i.e. rainfall excess hyetograph or the runoff
hydrograph from an upstream node) routed through a series of catchment storages.

Raimlall
M Flows

Al Location 4 km downstream of A

[ime
Figure 5.5  lllustration of Storage Effects on Flood Hydrographs

Most runcff routing model ulilises a simple storage routing algorithm based on the continuity
eqguation and a storage equation of the general form S = kQ™. The storage equation is non-
linear and this form of the storage equalion Is |ustifiable by both theoretical and empirical
means. Theoretical derivation using a simple flow formula such as the Manning's Equation
has shown that the parameter k represents the effect of such river characteristics as the
hydraulic roughness, bed slope, length and cross section geometry. The value of the
exponent m, which affects the degree of non-linearity of the catchment flood response, has
been shown to be related to the shape of the river channel with typical values of m being 0.6
for wide rectangular channel (i.e under fully developed floodplain flow conditions perhaps)
and 0.75 for triangular or trapezoidal sections. Like any models (no matter how simplified),
the parameters of the model needs to be calibrated. The parameters k and m are calibrated
from observed flood events and thus the reliability of the method reduces when the
availability and the guality of calibration data are limited.

Runoff Routing Parameters for Ungauged Catchment

For ungauged catchment, the use of regional data is often adopted and the results are
usually expected to have a higher uncertainty, The recognition that catchment flood
response is non-linear in nature in runoff routing has nevertheless iImproved the reliability of
extreme flood prediction, especially when recorded events for model calibration have high
probabilities of exceedence. The traditional approach of the Unit-hydrograph method has
been shown to have the tendency to under-astimate extrema floods in such circumstance.
As mentioned earlier, the degree of non-linearity and the appropriate form of the storage
equation (other than the power function commonly assumed in the industry) is still a subject
of intense research,

54 HYDRAULIC PROCEDURES

Hydraulic design of waterways and associated hydraulic structures are necessary to safely
and efficiently convey stormwater runoff, to facilitalte design of crossings of roads over
creeks, floodways and rivers. The hydrologic procedures outlined in the previous section
pravide the basis from which design flows for these hydraulic structures can be estimated.

Hydraulic procedures are required to compute flow characterislics in closed condurts and
open channels durng the passage of a runoff hydrograph.  In all cases, hydraulic



calculations are aimed at computing energy losses in the flow conveyance system such that
the hydraulic grade line (HGL) of the system can be established. The HGL is often used to
determine the location of the hydrostatic head along the water conveyance system. In the
case of open channel flow, the HGL generally coincides with the water surface. In closed
conduit flow conveyance systems, flow conditions can be pressurised and water rises to the
HGL level at junction pits. The design process is commonly a series of iterations involving
modifying the various hydraulic structures such that the resulting HGL complies with the
design standards specified. These design standards can include:

Frequency of surcharge of underground drainage systems,

= Flood levels and flow velocibes along the river and floodplain;
Flood attenuation caused by hydrograph characteristics (a function of the hydrograph
shape};

= Flood attenuation caused by channel and floodplain storage (a function of the river and
floodplain geometrical properties and hydraulic roughness),

* Flow directions, flood breakouts and returns, off-channal storage, stc.

In closed conduit flow conditions, calculation of energy losses within the flow conveyance
system is most commonly based on applying energy loss factors to the velocity head (v'f2g).
The energy loss altributed to pipe [riction is bes! calculated by the Darcy-Weisbach
Equation. Localised energy losses due to junction and inlet pits are computed in a similar
manner using slandard coefficients derived from extensive laboratory tests of these
structures.

The simplest model available for computing flood levels and flow velocities is the use of
empirical formulae such as the Chezy Equation and the Manning's Equation. These
equations are referred to as slope-area methods on the basis that they utilises simple
relationships between the discharge in a river to the energy gradient, flow cross-sectional
area and hydraulic roughness. These formulae are suited for computing water levels only at
a single location and for a single discharge value (i.e. steady flow assumptions apply) under
unifarm flow conditions,

These methods at best would address the sacond of the above five design considerations
related to the hydraulics behaviour of the flow conveyance system. Ofien the use of slope-
area methods are inappropriate due to the fact that natural river flows are not uniform.

Open channel flow conditions can often be categorised as either rapidly varying or gradually
varying. Rapidly varied flow occurs whenever there is a abrupt change in the geometry of
the channel or in the flow regime of the flow. In regions of rapidly varied flow, the walter
surface profile changes rapidly, Examples of rapidly varying flow include flow over weirs
and through regions of rapid changes in bed elevation or channel width (i.e. abrupt change
in geometry) and hydraulic jumps (i.e. change in flow regime). Simulations of rapidly varied
flow conditions require the solution to the equations of conservation of mass and
conservation of momentum in fiuid flow (i e. the Saint Venant Equations).

The flow condition generally occurring in natural river and floodplain systems can be
categorised as that of gradually vaned flow;, that is, condilions in which the flow
characteristics are non-uniform but vary gradually with distance along the channel due to
gradual variation of bed slope, channel geometry and hydraulic roughness



5.41 Darcy-Weisbach Equation

For closed conduit operating under full flow conditions (either pressurised or non-
pressurised), the energy loss associated with the pipe friction is best computed by the
Darcy-Weisbach Equalion, expressed as follows -

SL¥
H, = ﬁ ™ E - 55

where hy is the energy loss along the length of the pipe (m)
i is the friction factor which is dependent on the type of pipe, its

diameter and the flow Reynolds Number. The appropriate value
of f can be read from the standard "Moody Diagram”

s the length of the pipe (m)

is the diameter (or equivalent diameter) of the pipe

is the flow velocity within the pipe (m/s)

is the gravilational acceleration (m/s™)

0 < or

For localised energy losses associated wilh junction and inlet pits, the term fL/D in the
above equation is replaced by a head loss coefficient. Values of the energy loss coefficients
may be obtained from standard charts produced from various laboratory studies, particular
the *Missoun Charts” which wera based on extensive laboratory studies by Sangsler et al,
(1958) of the University of Missouri.

5.4.2 Slope-Area Methods

Slope-area methods are useful in providing a quick means of determining flows. They are
particularly useful when estimating historical flows from flood marks. Equations commaniy
used include the Manning's Equation and the Chezy Eguation as expressed in Equations
(5.8) and (5.7) respectively.

Ax R* x5
= f {(Manning's Equation) - 96
and
@=CxAxRxS," (Chezy Equation) - 57
where Q is the discharge (m'/s)
A is the area of the flow cross section {m?)

R ts the hydraulic radius of the flow section and is the ratio of the
flow area (o the wetted perimeter (m)

5 is the friction slope, often approximated by the bed slope of the
channel

n is the Manning's roughness coefficiant

Cc is the Chezy roughness coefficient

It is evident that the two equations are similar and both equations assume uniform
one-dimensional flow conditions.



5.4.3 Designing Closed Conduit Systems

Hydraulic design of underground stormwaler drainage systems involves the salection of
apprepriate pipe sizes to meet the design objectives for the system in terms of frequency of
stormwater surcharge from the system. This requires the drainage network to be first
established and catchment runcff rates estimated at key locations using methods outlinad in
Section 2. The estimation of probabilistic flows al thase locations should be camied out for a
range of storm durations and the maximum discharges at each locations selected for sizing
the inlet structures and underground pipes

The Hydraulic Grade Line (HGL) defines the hydrostatic pressure levels throughout the
drainage system. This, together with the Total Energy Line {TEL), enables the design
engineer to ascertain the performance of the drainage system under design conditions. The
TEL represents the total energy available to flow and consists of the velocity head, pressure
head and potential head. The TEL is located a distance equal to the velocity head (v'/2g)
above the HGL. In assessing the performance of a pipe drainage system, the HGL
determines the water elevation at pits and thus the degree of surcharge and overflows.

Mt S

Par-full Flaw
[HEL Tollows
vnler Auritace

Hdrnulic Recovary
(HGL rines)

Figure 5.6 Schematic diagram of a Hydraulic Grade Line and Total Energy Line of a
Stormwater Pipa System. source: Inst, Engrs., Aust,, 1987

Figure 5.6 illustrates typical TEL and HGL characleristics in a surcharged pipe system. It is
often convenient to compute the HGL and TEL of the drainage network by assuming steady
flow conditions in each of the individual pipelines with the sieady flow being their
respectively peak discharges corresponding lo the selected ARI|. The appropriate pipe sizes
in each of these lines are determined by progressively adjusting them until the computed
HGL levels at all locations are below the corresponding ground elevations. Any locations at
which the HGL levels are above the corresponding ground elevations Indicate the likelihood
of stormwater overflow unless these locations are appropriately sealed

Following determination of the appropriate design flows al each of the key locations within
the drainage system, the design process of the drainage system will reguire hydraulic
calculations to commence fram the most downstream |ocation of the drainage network, with
calculations progressively working in the upstream direction. There are however proceduras
adopted in practice which combines the hydrologic and hydraulic calculations and estimates
the design flows at each location followed by a preliminary sizing of the downstream section
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of the underground pipe before proceeding to the estimation of local inflows at the next
downstream location. In such cases, an assumption that the pipe will be flowing full but not
under pressure is often adopled and calculations commence from the most upstream
localion of the drainage nelwork, werking in the downstream direclion. A second,
backwards pass will then become necessary to compute the HGL for the selected pipe sizes
to confirm their suitability.

5.4.3.1 Gully pits

Common Stormwafter Inlet Structures

Gully pits efficiently convey storm flows from the surface to the underground pipe system.
When selecting and locating gully inlets, consideration should be given to hydraulic
efficiency, public safety, debns collection potential and consequential impact on the
hydraulic capacity, and maintenance problems.

There are two types of inlets structures in common use which may be installed singly or in
multiple arrangements. These types are:-

» the grated pits which have high flow capacity owing to the availability of all three sides
(other than the kerb side) for inflow. &t culde-sac there are situations where all four
sides of the grated pit can be ulilised for stormwater inflow,

= side entry pits which rely on the ability of the opening under the backstone or linlel to
caplure Now. Side entry pifs are usually depressed at the invert of the channel fo
improve their capture capacity. There are circumstances where the side entry pit is
combined with a grated inlet

The discharge at a pit opening is calculated using the local area contributing to it, and the
correspending time of concentration

Design Standards for Guiterflow Spread

The gutterflow is defined as the storm water runoff flowing down the gutter, along the face of
the kerb. This runcff water accumulates from the road, the verge and other off road
catchments

The gulterflow spread is defined as the width of the water flowing in front of the kerb. The
spread can be minimisad by catching the runoff water via gullies or kerb openings. This
spread needs to be limited to provide a safe driving environment and minimise
inconvenience suffered by the public.

Issues of safety and public convenience which need to be considered in determining the
spread of gutler flow include the following:-

« vehicles inadvertently drive into the gutterflow causing possible aguaplaning and loss of
control;

= yehicles endeavour o drive around the water flowing in the gutter, pushing them into the
adjacent traffic lane;

= an inconvenience to pedestrians near the road if they are sprayed when vahicles driva
within the gutter flows, or to pedestnans alighting from buses on to the road

Acceptable spread widths for high traffic velume roads are usually specified for a 2 year ARI
storm. This allows for higher intensity storms with durations less than the minimum thal can
be calculated using Australian Rainfall and Runoff



This standard is normally lower than that used for the pipe system design. This is because
ponding in excess of the specified spread limit is acceptable for storms larger than the 2
year ARl event. In these cases, vehicles tend to significantly lower their speed,

For highways without shoulder, the maximum, spread widths that can be specified for a 2
year ARl storm are;

« Uptoa 1/2 a lane on the outside (left lane) of carmageway, and
« Upioa1/3 of a lane on the median side of carriageway

Spread width limits less than these maximum values should be specified for roads with large
traffic volumes.

On high speed roads with shoulders (freeways and major highways) the gutterfiow spread
should kept within road shoulders for the 2 year AR storm event.

On most urban highways, more gullies will be necessary than those required to keep the
spread to an acceptable level. Additional gullies will need to be provided to minimise flow
across side sireets, superelevation transitions and eliminate nuisance to pedesirians in the
vicinity of the highway (especially at bus stops and high volume pedestrian crossings)

At low points, the designer must locate a secondary gully approximately 50 mm higher than
the low point as a contingency if the low peint gully becomes blocked Furthermaore, it is
necessary to ensure that sufficient gullies are placed to accept the runoff from the design
storm considered in the pipe system design (normally ARI greater than thal for gullies)

5.4.3.2 Inlet Capacities

i) Grated Pits (GF)

Grated pits are ganerally located clear of carriageways, such as in medians, table drains, or
catch drains. In general, grated inlets should not be used in a sag of a roadway owing to the
potential for debris to significantly reduce the inlet capacity, The capacity of the inlet
depends on the depth of ponding.

For a depth less than 120 mm, inflows conditions is similar to that over a weir with crest
length equal to the effective outside perimeter of the inlet (neglect kerb side}. The inlet
capacity can be computed as follows:-

Q=166.P.d" - 58

where Q, i5 the rate of flow into grata (m*/s)
P is the perimeter of grate opening (m), (disregarding bars but
subtracting the side against the kerb,}
d is the depth of water over the grate (mm)

Where the depth exceads 400 mm, the grate operales as an oarifice and the formula balow

applies:-
Q=067.A. 2ud > 59
where A is the area of clear opening of grate (m?).
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For a depth between 120 mm and 400 mm, the operation of the grate is indeterminate and
both formulae should be applied and the lower discharge value adopted.

Transverse steel bars must be used where pits are likely to be traversed by bicycle traffic.
However, transverse bars reduce hydraulic efficiency. As grales are prone to blockage by
debris, their use in trapped low points on carmiageways is not advisable. Side entry pits are
more suitable in this case. Table 5.2 lists suggested factors to be applied to the computed
inlet capacity to account for possible blockage due to litter and other flow debnis.

Table 5.2
Inlet Capacity Reduction Factors
Caondition Inlet Type inlet Capacity
Reduction Factor

Sag Kerb opening 0.80
Sag Grated 0.50
Continuous Grade Kerb opening 0.80
Continuous Grade Longitudinal bar grate 0.60
Continuous Grade Transverse bar grate or longitudinal

bar grate incorporating (ransverse 0.50

bars

(i} Side Entry Pit (SEP)

Side entry pits can be provided with good entry conditions with little chance of blocking and
maximisation of eniry efficiency by depressing the throat opening below the line of the
channel invert, provision of deflectors {ribs or groves which direct water into the inlet),
depressad section in the front of and adjacent to the pit.

The capacities of side entry pits with no inlet depression beside kerb and channel or median
bamier are calculated in a similar fashion with Equation (5.10) with weir flow conditions for
ponding of stormwater up to 1.4 times the height of the inlet (h), ie.

Q=166 L_d"° - 5.10
where L is the inlet width {m)

For ponding levels higher than 1.4 times the height of the inlet, the orifice flow equation for
the inlel capacity is as follows:-

Q=067 A.J2p{d-h/2) - 511
whare h is the height of the kerb inlet (m)

While it is acknowledged that the inlel capacity can be improved significantly by a depressed
kerb inlet, there is insufficient data to gquantify this, The caplure efficiency of the side entry
pits is influenced by a number of factors including the slope of the road, the roughness of
the road, cross slope etc. In general terms, the capture efficiency decreases with increasing
approach flow velocity in the gutter, The guantity of water by-passing the side entry inlet
increases as the percentage capture decreases and these flows need io be added to the
design flow for the next downstream pit.



To design spacing for 100% capture is generally not necessary. The lower range of
percentage captures can be used to advantage on slopes above approximately 5 %. Where
05% capiure is used, it is nol usually necessary to consider bypass flow in the calculations
When evaluating allemative pil spacings, the aim is to achieve economical design by
minimising the total number of pits in the system. Suggested reduction factors for side entry
inlets are listed in Table 5.1

5.4.3.3 Inlet and Junction Pits

Change in Horizontal Alignment

Junction pits are required at changes in both horizontal and vertical alignment of a pipeline
and at confluences of two or more pipelines where there is no need to admit surface water
to the pipe system. Change of direction and lateral inflow contribute significantly to the
change in pressure head due to flow dispersion. Proper direction of flow by means of
deflectors are often worthwhile improvements to the hydraulic flow conditions. Shaping of
the fioor of the pit should be to provide a vertical deflection of flow as shown in Figure 5.7
Figure 5.8 illustrates incorrect installation of flow deflectors which would result in higher

energy loss in the pit.
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Figure 5.7 Correct floor shape (with vertical deflectors) Source: Mills and O'Loughlin
(1986)
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Figure 5.8 Incorract floor shape. Source: Mills and O'Loughlin (1986)

Other good practices in minimising the energy loss at junctions include the proper alignmeant
of the outlet pit, as shown in the Figure 5.9. For example, at bends, the proper localion of
the outflow pipe is with its face at the intersection of the pipe centre line.
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Corract Alignmant of Dutlet Pipe
(Miliz and O'Loughlin,d 1988)

Figure 5.9
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Figure 5.11 Mustration of a Drop Pit

tncorrect Alianment of Outiet Prpa
{Mills and OLoughling 1886G)

Alignment OFf Pipes At Bends

Change in Vertical Algnment

It is desirable to provide drop through pits in
situations of stesp lermain aor when a
significant change in the vertical alignment of
the pipeline is required. Drop through pits
are desirable to avoid the need for excessive
energy dissipation at the end of the pipe.
The drop measured betwsen inlel and outlet
pipe inverts is only equal to the head loss if
the pipes are flowing full and are of equal
diameter. A nominal drop of 0.1 melres 15
usually sufficient, except for pits

Where major flows join, or flow direction
changes in which cases the head loss should
be calculated. In flat country, where the fall
may not be sufficient to provide the nominal
drop, the pipe inverts may lie on a continuous
gradeline, provided that the boftom of the pit
is shaped to match the lower half of the pipe.
and the hydraulic gradeline is checked to
detect any adverse effects.

Significant changas in level through pits may
be necessary in order to avold existing public
utility services, or o convey water down a
batter, or as a deliberate means of reducing
the energy of flow. This type of pit is called a
drop pil as shown in Figure 5.11. Where the
drop exceeds 2 metres the pit floor should
be protected by a wearing course of
concrete or rock, and the outiet should be
plaged about 0.3m above the fioor 1o leave
a parmanent water cushion,
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5.4.3.4 Computing the Hydraulic Grade Line

The hydraulic grade line of the drainage system is determined by applying the equation of
conservation of energy. The energy loss between within a pipeline is made up of energy
loss due to pipe friction and those due to localised "shock” losses.

Energy losses due to friction along the pipe is reflected in the gradual reduction in the TEL
as one moves in the downstream direction. The gradual change in the TEL is often
interrupted by significant energy loss at inlet and junction pits. Energy losses are exprassed
as a function of the velocity in the outlet or downstream pipe, ie

1
Ve

ﬁf=kég - 512
where by is the energy loss (m)
K is the energy loss coefficient (dimensionless)

v is the flow velocity immediately downstream of the point of

interest (mis)

o

Pipe Friction
For pipe friction, the value of the energy loss coefficient is often defined as follows:
fl.
b= - 513
K [
where L is the length of the pipe (m)
D is the diameter or equivalent diameter of the pipe (m)
f is the fricion factor which can be obtained from standard graphs
such as the "Moody Diagram” or approximated by the eguation
1325
fm E - 514
| [ e 5T ] 8
| Mg AR T
D Re'
where & 15 the pipe wall roughness (m)

Re is the Reynolds Number

Table 5.3 lists typical values of the pipe wall roughness ().



Table 5.3

Typical Pipe Roughness (e) in mm (ref. ARR)

Pipe Material Pipe Conditions

Good Normal Poor
Concrete
Precast with, *0° Ring Joints 0.06 0.15 0.5
Spun precast, "O" Ring Joints 0.06 0.15 0.3
Monolithic construction against steel forms | 0.3 0.6 1.5
Manolithic construction against rough form | 0.6 1.5
Asbestos Cement 0.015 0.03 =
UPVC
with chemically cemented joints 0.03
with spigot and sockel joints 0.06

Fit Losses

The pressure head change at pits are computed in the same way as energy losses, with the
change expressed as a function of the outflow velocity head, fe.

- 5.15

The water level in the pit is slightiy
higher than the HGL as illustrated in
Flgure 5.12 owing to the reduction in the
velocity head from that at the inlet pipa
(converted to pressure head) as the
water enters the pit. However, for most
situations, the water level in a pit is
assumed to coincide with the HGL level,

Computation of pressure changes at pits
thus centred around the determination of
the appropriate pressure change
coefficient. Frobably the most significant
data available for the determination of
the pressure change coefficients are the
"Missouri Charts™ published by Sangster
et al. (1958). The chars are voluminous
and cover a number of pit configurations.

Figure 5.12  Idealised HGL and TEL at a Pit
source: Inst. Engrs., Aust., 1987
The Missouri Charts

The Missouri Charts dealt with pipes flowing full for pit configurations invelving grate flow,
lateral pipe inflow and through fiow., Thus. in applying the chars, the computed velocity
head at the outlet pipe needs to be based on pipe full flow conditions even if it is known that
the pipe flows part full. The values of the pressure change coefficient for the different inflow

configurations depend on such parameters as.

the submergence ratio (depth of water/diameter of outflow pipe, d/Dg)

the ratio of upstream and doewnstream pipe diameters (D/Dg)
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flow ratios (eg. lateral inflow to outflow Q| /Qg, grate flow to outflow (QG/Qg), etc.)
pit dimension ratios (eg. width to cutlet diameter, B/Dg)



Grate inflows cause the highest change in pressure head and the submergence ratio d/Dg
has a strong influence on the pressure change coefficient in situations involving grate
inflows. In the case of grate flows only, the pressure change coefficients varied from 6.0 for
a submergence ratio of 1.6 to a ky value of 1.8 for submergence ratio exceeding 7.0. In
these situations, an iterative computation procedure needs lo be adopted where an estimate
of the pit water leve! is first made to enable the submergence ratic to be compuled, This
would then allow the value of ky to be read from the chart which can then be used to
compute the pressure change from the HGL at the outflow pipe and thus the waler level in
the pit. This water lavel is then compared with the initially estimated water level and if found
lo be significantly different, the compuled water level is then used to re-evaluale the
submergence ratio and hence the value of ky. This process continues until convergence is

achieved,

The ratio of upstream and downstream pipe diameters, D,/Dg , has a significantly influence
on the pressure change coefficient for flow through pipe configurations. Ky values can
range from -3.5 to 1.1 for diameter ratio (D/Dg) of 0.6 to 1.4 respeclively. Negative values
of ky sugges! a pressure recovery as a result of a lower downstream velocity head due to a
larger pipe diameter. K, values increases with the introduction of grate flow, with the
increase being a function of the proportion of the total outflow attnbutable to the grate inflow.

Pressure change coefficients for lateral inflows in rectangular and square pits ara treated
separately. For the case of lateral inflow in addition to a flow through situation in a
rectangular pit, the pressure change coefficient is dependent on the proportion of the ltotal
outflow attributable to the lateral inflow and the ratio of the respective pipe diameters to the
outflow pipe diameter. |n the case of lateral inflows (from both sides of the pit), pressure
change coefficients due to each individual lateral inflow are computed. The corresponding
waler levels are compuled from the two pressure change coefficient and the lower of the
two water levals is adopted, In all cases, the inclusion of grate flow would further increase
the pressure change coefficiant.

For square pits, an additional parameter affects the pressure change coefficlent. The
parameter is the ralio of the pit width to the outflow pipe diameter B/Dg. The pressure
change coefficlent increases with increasing B/Dg ratios but converges towards a narrow

band of values for when the ratio of the lateral pipe diameter to the outflow pipe diameter is
high.

Adjustments for deflectors are also included in the Missouri Charts. Deflectors essentially
eliminates the influence of the shape of the pit,

Simplified Method for Calculating Pit Losses

Argue (1986) presented some simplifying tables from which estimates of the pressure
change coefficients can be made. These data are presented in Tables 5.4 and 5.5, the first
indicating no grate flow and the other indicating the inclusion of grate flow.
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Figure 513 lllustration for Tables 5.3 and 5.4
Table 5.4
Junction Pits Without Grate Flow [Argue, 1986)

Description Qy= Qp~ Qo= | ky
Junction pit on through pipeline, ie Qy = Qg Qg - - 0.2
Junction on through pipe with lateral inflows
T1: Qu > 'DL Qu some ﬂ'.ﬁ
2. Qu~Q Qg2 Qgl2 1.0
3 Qu=<<Qy some | Qo v
Junction piton "L" pipe junction, ie. Q=0 - Qy - 20
Junction pit on "T" pipe junchion, ie. Q=0
1. Opposed Lateral . Qg * 2.5
2 Offset Lateral Qg - 20




Table 5.5

Inlet/Junction Pits With Grate Flow (Argue, 1986)

Description Q,~ | Q.- Qg~ |ky
Inlet pit with outflow pipe only - - Qg 5.0
Inlet on through pipeline
1. Qy=Qg Qgf2 |- Qg2 |20
2, Qy=0Q, Q, - some |05
Inlet an through pipe with lateral inflows
1. Q=0 ' Gy some |some |05
2. Qu>>Qp Qpf2 some Qgf2 |15
3. Qy=~0 Qy2 |Yo2  |some |15

Qg some |20
4, Qu=<Qp some a2 |25
5 Qu<<QL some | Qo2 -
Inlet on "L" pipe junction, ie, Q=0 - Qg some |25
Junction pit on “T" pipe junction, ie. Q=0
1. Opposed Lateral . Qg some |30
2. Dffset Lateral 4 Qg some | 2.5

Adjustments to the above values of ky; for any change in grade were given as follows:-

= change in grade from flat to steep in the direction of flow : add 0.5

= change in grade from steep to flat in the direction of flow:. subtract 0.5

54.4 Designing Open Channel Systems

Open channels are commanly used to convey stormwalter through both the urban and rural
landscape. Proper design of such open channels should give consideration to a number of

aspecls including the following :

Cptimum channel route
- land use considerations;
- economic considerations;
site topography constraints.

Longitudinal mvert slope
. leave as naturally existing,
- flatten, to reduce velocities;

- by using drop, structures or meanders,
stespen, (o increase velocilies by using a more direct route.

Cross-sectional shape

" available easement/resenve width limitations;

flow velocity/depth considerations;
- overall planning considerations
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Channel lining material
. leave as nalurally existing,
- hard or soft facing;
- aesthatics and recreational considerations;
maintenance and safety considerations.

Flow charactenstics
- subcritical flow conditions;

supercrntical flow conditions.

In most situations. open channels will operate under subcritical flow conditions and most of
the procedures and the recommendations presented are relevant to the design of typical
open channels operating under subcritical flow conditions. Open channels ocperating under
or approaching supercritical conditions should normally be avolded owing to significantly
high flow wvelocity and the likelihood of occurrence of hydraulic jumps causing erosion
problems. Where such situations cannot be avoided it should be noted that specialst
design knowledge is required.

5.4.4.1 Open Drain Types

In the rural environment. the main function of open drains are to:

» |Intercept, collect and direct runoff which is draining naturally towards the roadway from
adjacent catchment areas;

+ collect runoff from the road formation and adjacent cutting and embankmeant slopes;

= Provide the means for containing and draining these waters (o poinls of disposal,

The types of drains commonly utiised in drainage of main roads and highways are
summarised in Table 5.6. A typical longitudinal drain is shawn in Figure 5.14,



Table 5.6
Types and Functions of Drains

Types af Drain

Function

Design Considerations

Table Drains

collects and convey the
surface runocff generated
from the roadway and
adjoining area
may also be used to intercept
subsoll seepage

Iypir:;l_l cross section of table drains s
triangular with a side slope of 1 in 4 or
fiatter

the minimum depth from the edge of the
shoulder of the road to tha invert s 0.3 m

if higher discharge capacity is required, a
trapezoidal shaped section may be used
lable drains should be free of long term
water pondage and the slope of the drain
should be selected to ensure that water is
readily conveyed to the drainage outlet

Diversion Drain

in rural roads, diversion
drains are used to convey
water collected at the fable
drain to the designated
drainage outlet

typical cross section of table drains is
triangular with a side slope of 1 in 4 or
Mattar

starmwater conveyed by the diversion drain
Is often discharged into side drains, creeks
or allowed to spread freely over the
countryside

in order that stormwater collected by the
table drain are efficiently conveyed away
from the road diversion drains are often
necessary al between 150 m fo 300 m
intervals along the road for undulating
terrain, reducing to 100 m on steeper
topography

it is necessary to block the lable drain
immediately downstream of its confluence
with the diversion drain to ensure effective
diversion of stormwater away from the table
drain.

Catch Drain

are used fo
intercept and convey
stormwater water runaoff
along the top of a cutting lo
designated discharge points
so as to prevent runoff from
flowing down the unprotected
cut batter

catch drains

typical cross saction of table drains Is
triangular with a side slope of 1 in 4 or
flatter

catch drains are generally sieep channeals (o
effectively and economically convey runoff
lo designated discharge points and thus
often expenence high flow velocities
consideration need to be given to channel
lining and energy dissipation at the
designated discharge poinis

Side DOrain

side drains are used to
isolate the road from runoff
generated from adjoining
dareas

typical cross section of table drains Is
triangular with a side slope of 1 in 4 or
flatter

side drains can often be constructed by the
use of a small levee when it is undesirable
to excavale a drain
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Figure 5.14  Different Types of Open Drains

5.4.4.2 Hydraulic Design Procedure

In selecting the appropriate
gradients of open channels,
consideration should be given
to the soil type in order fo
avoid erosion and scour of
the chanrnel. Earthen
channels with grades sleaper
than 4% will almost invariably
be subjected to erosion and
BCOUr problams
Consideration should be
given to ercsion mitigation
measures with the use of
drop structures to control the
slope of the channel being
preferred. It catchment
conditions are not suited to
the use of drop siructures,
erosion mitigation measures
will include channel lining
varying from grassing to
bituminous surfacing and
stone pitching. Channel side
slopes should be designed
and constructed with due
consideration of public safety
and ease of maintenance
with eguipment  normally
available in the area.

Manning's equation and other empincal slope-area methods are most commonly used
throughout Australia for the purpose of computing flow depths and velocities in open
channel. These equations are based on the assumptions of flow in a uniform prismatic
channe! and the flow depth computed is referred to as the normal depth. The Manning's
equation Is perhaps the most commonly used and design data for various reach types are
readily available from standard hydraulic text books (as outlined later in this Chapter).

Manning's equation may be expressed in terms of flow velocity or discharge. The uniform

flow velocity is expressed as:

- 5.18

and Equation 5.16 becomes the same as Equation 5.6 when the discharge is expressed as

Q=AxV

whare = yelocity, (mis)

- 517



= Manning's roughness coefficient
= cross-sectional area of flow, (m”)
= hydraulic radius; R = AP

= wetted perimetar {m)

= slope of channel bed, (m/m)

= flow, (m¥s)

DU

The design of open channels using the slope-area method involves the selection of the
longitudinal invert slope, overall channel size and cross-seclion shape such that the
resulting normal flow depths and flow velocities satisfy the design objectives. The use of
slope area methods is strictly applicable for long uniformly shaped channels with no special
structures on the watercourse, typical of table drams and side drains

For natural channels, slope-area methods such as Manning's equation can only be used for
preliminary estimation of flow depths and velocities for open channel design, This is
because normal depth flow canditions occur only rarely in practice in natural watercourses,
the general conditions being that of gradually varied flow with water levels {and
consequently flow velocities) being influenced by irregular channe! shapes, changing bed
slope, variation in hydraulic roughness, backwater effects and water level controls at critical
sections along the watercourse. Water surface profiles in natural watercourses could include
possible fiuctuations between subcritical and supercritical flow along the length of the
channel. In such circumstances, the design engineer must identify any varialions in channel
flow conditions and to determine the exient of their influence Water surface profile
calculations involving iterative finlle difference calculations towards solving the energy
equation will need to be carried out at a series of discrete cross-sections along the channel,

It must be emphasised that all of the procedures and computer programs associated with
the design of open channel syslems require the design angineer to be fully familiar with the
relevant hydraulic processes, and in the case of computer programs, their computational
procedures and limitations.

5.4.4.3 Subcritical and Supercritical Flow

The flow in open channels may be classified according to the level of energy contained in
the flow itsell as represented by the Froude number. The subcritical range has Froude
numbers less than 1 and is characterised by low velocities and high depths found typically
on hydraulically mild slopes. Supercritical flow has a Froude number greater than 1 and is
characterised by high velocities and shallow depths developed in a hydraulically steep slope
channel, Critical flow conditions occur when the Froude number equals 1 and (he normal
depth Is equal to the critical depth for the flow elemeant.

The Froude number is defined as:

¥

where v s the average velocity in the cross-section

g Is the acceleration due to gravity, and

e is the hydraulic mean depth, expressed as the ratio of the cross
sectional area (A) and the top water width (T}, A/T:

The classification of the flow regime according to suberitical, crtical or supercritical

conditions is important for a number of reasons, most important of which is its used in
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defining the general shape of the water surface profile and to enable the Design Engineer to
appreciate how changes in localised flow conditions would influence the water surface
profiles upstream and downsiream of the section in question. Figure 5,15 shows the six
standard water surface profiles for mild slopa and step slope conditions.

Pool
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Figure 515  Standard Water Surface Profiles for Gradually Varied Flow

For mild slope and subcritical flow conditions, the water surface profiles depart from the
normal depth levels due to downsiream influences. This is shown by the M, and M, profiles
Thea M, profile demonstrates the situation where the water surface profile is influence by
high tailwater level where the water surface elevations along the open channel increase
from thalt associated with (he normal depth fowards the elsvation delermined by
downstream conditions associated with a permanent water level, a constriction in the
channel or a flattening of the channel slope. Similarly, the M, profile reflects the situation
where flow depths along the channel depart from the normal depth and the water surface
profile is being drawn down towards a water level controlied by downstream conditions
associated with a weir or change (increase) in channeal slope. In these two cases (ie. M, and
M, profiles) the water surface profiles are influenced by downstream factors and the length
of water elevation transition from normal depth to the downstream control depth is
dependent on the degree in which the downstream depth differ from the normal depth,
Consequently, water surface profile computations always begin at the downstream control
section and proceed upstream,



For steep slope and supercritical flow conditions, the water surface profiles approaches the
normal depths and the shapa of the waler surface profiles is defined by water elevations
fixed by upstream influences. In the case of the S, profile, upstream influences have lad o
a8 water level at the upstream end of the profile which is higher than the elevation
corresponding to the normal depth, typically of flow profiles immediately downstream of a
weir or other critical depth control sections or when flow is discharged into a steeper
channel. The waler surface profile 1s downstream of this control section is drawn down
towards the normal depth waler profile. Similarly, the S, profile demonstrates the condition
where water elevalions approach the normal depth elevation from a lower starting lavel,
typical of profiles under sluice gates or from a channel of steeper slope to one with a less
steep siope. In these lwo cases (ie. M, and M, profiles) the water surface profiles are
influenced by upstream factors and the length of water elevation transition from the
upstream water elevation to the normal depth elevation s dependent on the degree in which
the upstream depth differ from the normal depth Consequently, waler surface profile
computations always begin at the upstream control section and proceed downstream,

Water surface profiles M, and S, represent conditions preceding and following a hydraulic
jump respectively. In these situations, the water surface profies are generally of less
relevance to design and the design focus would generally be directed at struclures to initiate
the hydraulic jump and to contain the hydraulic jump region. The design engineer is referred
to design guides published by the US Bureau of Reclamation {1973) when designing these
structures.

5.4.4.4 Use of Manning's Equation

In applying the Manning's Equalion, parficularly to natural channels, the greatest difficulty
lies in the determination of Manning's roughness coefficent “n". The choice of an
appropriale value for the roughness coefficient of an open channel s often crilical in the

overall design procedure and requires a considerable degree of judgement.

The Manning's roughness coefficient ts dependent on a number of variables including
surface roughness, vegelation. channel irregularity, the presence of obstructions. channel
alignment and the likelihood of sedimentation ar scour. It is important {o note also that it is
dependent on the relative depth of flow at a cross-section. Generally as Aow depths
increase, the relative effect of bed roughness decreases, while the effact of bank roughness
may [ncrease.

The above variables can be considered as individual components of an overall effective
Manning's roughness coefficient for the particular channel Various references and
procedures are available to assist the designer o eslimate the applicable channel
roughness coefficients:

Tables relating the channel type and iis associated lining, o recommeanded roughness
coefficients, e.g. Argue (1986) Table 6.1, ARR-1987 Tables 51 and 14,17, Henderson
(1966) Table 5.2, Chow (1959) Table 5 6;

Photographs and descriptions of channels with known roughness coefficients, e.g Chow
(1859), Bames (1967} and French (1085);

Equations to derive estimales of channel roughness and which incorporate modifying factors
representing the individual components of the effeclive Manning's roughness coefficient,
8.g. ARR-1987 Section 5.8, Chow (1959) Table 5.5 and French (1985),



Determination of Manning's roughness coefficlents along a gauged naturally existing
channel reach, by calibrating calculated watar surface profiles lo observed flood heights.
Designers are referred to Section 5 8 of ARR-1987 where each of the above aspects are
discussed in considerable detail.

5.4.4.5 Manning's Roughness Coefficient of Composite Channels

Eslimation of an eguivalent or compasite Manning's roughness value in a channel of varying
roughness is often required where there is a marked varialion in boundary roughness across
an individual cross section. In the case of an open channal designed within a typical urban
environment, examples of this situation could include a grassed channel containing a lined
low flow drain within the channel invert, or a channel containing a low level access barm
along one side of the channel. The procedures recommended below involve the
determination of wetled perimeter, hydraulic radius and Manning's roughness coefficient for
each segment representing the varying zones of roughness across the channel section

Equations for determining Manning's roughness coefficients in channels of composite
roughness include:

i lZ[Fi-IIHJZIJ'.P.’:”
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where fi= equivalent composite Manning's roughness coefficient for
entire cross-section

P = wetted perimeter of whole cross-section (m)

R = hydraulic radius of whole cross-section = AP
= Manning's roughness coefficient for segment |
P = wetted perimeter of segment [ (m)

A = hydraulic radius of segment / (m)

It s recommended thal use of Egquation 5.19 be reslricted to simple cross sections with no
exlensive averbank flow areas

The design engineer should note that both of the procedures presented above have
limitations which are largely dependent on the cross-sectional shape of the channel, and on
the configuration of the respective segmented zones of varying roughness. Use of these
equations may, in cerlain circumstances, generale dslorted composile Manning's
roughness coefficients which would lead to inaccurale predictions of channel fiow
conditions. |n the siluation where a channel consists of a relatively deep and narrow central
flow area, with relatively shallow and wide overbank flow areas, use of Equation 5.19 may
generate a composite roughness coefficient which is excessively weighted by the large
welled perimeter of the overbank flow areas, even though these areas may carry only a
small proportion of the total flow.

The reverse situation would l=ad to a composite roughness coefficient which 15 lower than
any of the individual roughness coefficients of the contributing channel segments.
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5.4.6 Design Velocities for Grassed and Earth Channels

Flow velocities in channels lined with soft facings should be limited to avoid scour, There
are various means of restricting flow velocities, including the reduction of channel invert
slopes by the installation of channel drop structures, the increase in flow resistance through
the selection of appropriate channel cross sections with relatively large wetted perimeters,
the reduction of channel longitudinal slopes by increasing the length of flow path, and the
increase In channel roughness with vegetation and rocks,

Design of drop structures should ensure that the associated high turbulence zone is
contained within the struclure itself. This may involve the provision of baffle blocks
downstream of the drop face and the provision of flexible rock mattress protection at the
upstream face of the drop structure to cater for increased velocities associated with flow
draw down effects. The Design engineer is referred to the procedure of Peterka (1984)
when designing drop structures in open channels.

Recommended design flow velocities for consclidated bare earth and vegetated channels
are summansed in Table 5.6, It is recommended thal the average flow valocity under major
storm design conditions not excead the indicated permissible velocity in Table 5.7, Care
should also be laken o ensure that localised flow velocities are not excessive (e.g. at the
edge of low flow channels) under major and lesser storm conditions. Where channels of
composite shape or surface cover are involved the flow should be sectorised and the
average flow velocity in each sector compared with the permissible values in Table 5.7,

Channel Side Slopes

The maximum channel side slopes for grass lined sections should preferably be 1 in 6 (1V
an BH), with an absolute maximum of 1 in4 (1V  4H). If grass lined channels are designed
with side slopes steeper than 1 on 4 (1V . 4H), regular maintenance may become
impractical and the channel may eventually become overgrown with vegetation which would
consequently reduce the flow capacity of the channel

Channels lined with ground covers may be permitted to have maximum side slopes of 1 on
2 (1V : 2H), however design of such channels must include consideralions of polential fulure
increases in channel roughness, and considerations of channel side slope stability



Table 5.7
Permissible Velocities for Consclidated Bare Earth Channels andVegetated Channels

Channel Permissible velocities {m/s) when percentage of
Gradient stable !ﬁatatlun Gradient cover (') is:
(%) D% " 50 % T0% | 100%
Erosion resistant soils
1 07 1.6 2.1 2.8
2 0.6 1.4 1.8 25
3 0. 1.3 1.7 2.4
i 1.3 16 23
] 1.2 1.6 2.2
B 1.5 2.1
B 1.5 2.0
10 1.4 1.8
15 1.3 1.8
20 1.3 1.7
Easily eroded soils
1 D 1.2 - 21
2 g5 1.1 1.4 1.8
3 0.4 1.0 1.3 | 1B _
4 1.0 1.2 1.7
0.9 1.2 1.8
B 11 1.6
8 1.1 1.5
10 11 1.5
15 1.0 1.4
20 0.9 1.3

Moles:

" Designers should assess the percentage of stable vegetal cover likely to persist under
design flow conditions, Howeaver it should be assumed that under average conditions
the following species are not likely to provide more than the percentage of stable

vegelal cover indicated:
. Kikuyu, Pangola and well maintained Couch species - 100%
. Rhodes Grass, poorly maintained Couch species - T0%

Mative species, tussock grasses - 50%
@ Applies to surface consolidated, but not cultivated



This appendix presents a bnef summary of the following Hydrological Procedures published
by DID as discussed in the paper by Quek (1983):

Rational Method- HPS (DID, 1874)

Design Hydrograph Method- HP11 (DID, 1980)
Regional Flood Frequency Analysis- HP4 (DID, 1987)
Urban Rational Methed- HP18 (DID, 1978)

Pu L PRI ==

The readers are advised to refer to the references for a full description of the procedures. The
material presented herein is aimed at giving the readers a broad overview of the theary and
basis in the derivation of each method. As all the procedures discussed herein are published in
imperial units, the following is a conversion tabie for SI and imperial units:

1 mm=0.03837 in 1 In= 2540 mm
Tm=32811 1f=03048 m

1 km= 06214 mi 1 mi= 1,609 km
1m¥s=3531fts 1 f%/s= 0.02832 m's

1 km®= 100 ha= 0.3861 mi’= 247 1 ac 1 mi*= 640 ac= 2.59 km®

1 The Rational Method, HPS (DID, 1974)

The Rational Method in HP 5 (DID, 1974) relates the peak discharge statistically to the rainfall

via the formulal

O =Ch A 1

where

- is the peak discharge of the design flood in ft'fs with return period T years

Iy is the average intensity of the design rainstorm of duration equal to the fime of
concentration T, and of return period T year in in/hr

A Is the catchment area in acres

c is the coefficient of runoff which is dimensionless.

The time of concentration T. in hours is given by the refation

o 0438 AP L 2
T. s Ih.l_..'.lﬁ.'r
where
L is the length of the main stream in miles
A i5 the catchment area in square miles

= is the slope from the main stream-catchment boundary intersection to the design point,
measured along the main stream in per cent.

The basic steps involved in the application of the procedure are as follows.

(a) Estimate the critical duration of the design storm T, using Equation 2;

(b} Compute the mean intensity i for duration T, and return period T using HP1 (DID,
1882),

] Estimate C from storm and catchment charactanstics;

{d) Compute Q, for vanous return penod T using Equation 1.
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In HP5 (DID, 1874), the selection of the runoff coefficient C (Figure 3 of the Procedure) is
related to the intensity of the one in ten year design storm and calchment location in
Peninsular Malaysia, which is divided into Region A for East Coast and B for West Coast for
the determination of the runoff coefficient.

A total of 16 gauged small rural catchments situated throughout the Peminsular, with areas
ranging from 13 o 104 km’ (5 to 40 mi”}, were used in the development of the procedura.

2 Design Hydrograph Method- HP11 (DID, 1980)

The development of HP11 (DID, 1980), which gives the complete hydrograph as well as the
peak discharge of a calchment, consists of three basic components!

(&) a design storm

(k) a rainfall-runoff retationship which converts the design storm into vaolume of runoff. and
{c) a dimensionless triangular hydrograph which gives the time distribution of the volume
of rumoff.

The design storm ranfall, P, 1s calculated for a range of durations using HP1 (DID, 1982),

The rainfall-runoff relationship was developed based on data from 97 storms from 18
catchments. The depth of the direct runoff Q in inches is given by Equation 3.1 of HP11 (DID,
1980} for storm rainfall less than three inches:

Q=033 P 3

or from Eguaticn 3.2 of HP11 (DID, 1980) for storm ramfall greater than three inches

- g
W +6)

¢

The peak discharge of the tnangular hydrograph, g, in ft'/s, is given by Equation 3.5 of HP11
(DID, 1980):

= Do A680-0 5
o
(5 +55)

where

D, is the peak ordinate of the dimensionless hydrograph that is charactenstic of the
calchment, whose value is given in Table 2 of HP11 (DID, 1980) for three hydrological
groups

L is the catchment [ag in hours

Q is the direct runoff in inches

D is the duration of storm rainfall in hours

A is the catchment area in mi®,

The catchmenl lag is related to the physical characteristics that determine the storage
behaviour of the catchment, the values of which were denved from analysis of data from 28
catchments in Peninsular Malaysia, Equation 3 12 of HP11 (DID, 1980) gives the lag tima in
hours for the catchment via:
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L, =C, (E-LIVS)" 6

where

L is the main stream length from the outlet to the catchment boundary in miles

L, is the main stream length from the outlet to the calchment centroid in miles

S is the weighled mean siream slope in ft/mi

C,n are constants whose values are given in Table 1 of HP11 (DID, 1980) for the

three different hydrological groups.

The product LL, Is a measure of the size and shape of the catchment, and S Is a measure of
calchment topography

A design baseflow of 5 ft'/s per square mile is added to the computed peak discharge to obtain
the total design flood peak,

3 Regional Flood Frequency Analysis- HP4 (DID, 1987)

In regional flood frequency analysis, ndividual frequency curves from gauged sites are
averaged lo form a regional curve which is postulated to apply to all catchments in the same
region, Basically, the method involves the development of two components:

(al A sel of regional regression equations relating the mean annual flood to the catchment
characteristics of catchment area and mean annual catchment rainfall, and

[ =]} A set of dmensionless regional frequency curves relating Q/MAF to the return penod
T where Q; s the peak discharge of T year return pericd and MAF is the mean annual
flood.

A total of 61 stations with lengths of records vary from 8 1o 36 years, with areas varying from
20 to 19000 kmy®, in Peninsular Malaysia were selected for the analysis,

The mean annual calichment rainfall for the region is esfimated from the Mesan Annual Ramnfall
Isohyatal Map for Peninsular Malaysia for 1850 to 1985 as given in Appendix C of the Water
Resources Publication No. 19 (DID, 1988) Map 2 of HP4 (DID, 1987) divides the whole of
Paninsular Malaysia into six MAF regions.

The catchment charactenstics are assumed to be related 1o the MAF via the regression
equation;

MAF =¢ A" R 7

where

MAF is the mean annual flood in m'is;

A is the catchment area In km®,

R is the mean annual catchment rainfall in m; and

c,a,b are the catchment characleristics constants as given in Table 2 of the
procedurs.



The flood frequency (FF) region of the catchment 1= determined from Map 1 of HP4. The value
of Q,/MAF is delermined from the flood frequency curve in Figure 1 of the procedure. The
value of Q, Is determinad as the product of Q,/MAF and MAF from Equation 7

O = -2 MAF 8

CMAK

4 Urban Rational Method- HP16 (DID, 1976}

In HP16 (DID, 1978), the peak discharge is related to the rainfall intensity and catchment area
wia the Modified Form of the Rational Method which has an additional coefficient C, to take into
account the affect of channel storage

0 =€, Cip A 9

where

Qs s the peak discharge of the design fiood in ft*/s with return period T years

Iy is the average intensity of the design rainstorm of duration equal to the time of
concentration T, and of return period T yesar in infhr

A is the drainage area in acres

c 15 the coefficient of runoff depending on the charactenstics of the drainage area, and
C, is the storage coefficient

The time of concentration, T, in hours is the sum of the overland flow time, T,. and the time of
fiow in the drain, T, as follows:

=TT, 10

The storage coefficient is given by,

&= th 11

tOAT AT

The overland flow time is delermined from the Rantz chart as given in Figure 3.2 of HP18

given the overland flow distance, slope and runoff coefficient, HP16 recommends that an
overfand flow time of 10 to 15 minutes be assumed for areas where these parameters cannol
be determined such as an area yel to be mapped out.

The time of flow In the drain can be determined from normal hydrauiic formula, given the
channel cross section, length, roughness and slope. In areas yet to be mapped out, T, can be
determined by dividing the estimaled drain length by 10 fi/s for proposed lined drains or by the
average velocities as given in Table 3.3 of the procedure.

The rainfall intensily is based on HP1 (1982) for the crtical duration ie, the time of
concentration T,
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The runoff coeflicient is estimated from Table 3.1 of HP18 which expresses the value of C as a
funetion of the land use. The procedure is applicable to urban catchment area of up to 52 km*
{20 mi®),
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